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PREFACE

A hydraulic structure may be defined as any structure which is designed to handle
water in any way. This includes the retention, conveyance, control, regulation and
dissipation of the energy of water. Such water handling structures are required in many
fields of civil engineering, the principal ones being water supply and conservation, hydro-
electric power, irrigation and drainage, navigation, flood control, fish and wildlife
services and certain aspects of highway engineering.

In order to insure that the function intended for a structure will actually be
achieved, a hydraulic design must be carried out. Various equations, based on continuity,
energy, and momentum principles, may be used to calculate the most suitable length,
width, shape, elevation and orientation of the structure. The application of these basic
principles to the practical problem of the design of hydraulic structures is called hydraulic
design.

Although Chapter 1 and Chapter 2 deal specifically with dams and spillways, the
reader is advised that these two chapters are in a sense, prerequisite to the remaining
chapters. The methods of load determination and stability analysis used in Chapter 1
apply to many other structures or structure components, such as pipeline anchor blocks,
retaining walls, spillway sidewalls, diversion dams, drop structures and others. The
gravity dam was selected simply as a vehicle to demonstrate the method. Similarly, the
methods of discharge calculation, velocity determination and stilling basin design,
discussed for spillways in Chapter 2, apply as well to many of the hydraulic structures
discussed in latter chapters.

Design details for all possible hydraulic structures are beyond the intended scope
for the book. The object has been to present general information on the form and
function of many types of structures and to give detailed theory and design procedures on
some of the more common ones. The application of principles is intended to be
sufficiently rigorous that a student of the subject will gain a working knowledge of the
basic procedures used in hydraulic design. While, of necessity, certain design procedures
are empirical, this book is not concerned with the "how" aspect of hydraulic design alone.
Equal emphasis is placed on the "why" aspect, since it is only through this approach that
the engineer can properly assess the merits of a proposed design for a specific
application.

Many of the design procedures are readliy adaptable to solution by computer
programming. Such procedures may be advantageous where a large number of variations
in loading conditions or structure dimensions are to be investigated. For example, there
are many possible combinations of basin width and floor evaluation which will work
equally well for a hydraulic jump stilling basin. In the case of irrigation structures or
drainage structures, programs may be written to output structure dimensions for various
combinations of head and discharge. The Saskatchewan Department of Highways and
Transportation has such a program for sizing drainage culverts, based on the design
criteria covered in Chapter 10. However, the author is a strong advocate of the need to
have a thorough understanding of the philosophy and basic principles of hydraulic
structure design before programming is attempted. This text is intended to satisfy that
need.

The author has chosen to use SI units exclusively, rather than dual units, in order
to avoid the frustrations of constant conversions which add little to the learning process.
Of course the engineer will be confronted by other systems of units everytime he or she
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consults a reference or text printed prior to about 1975. These references are and shall
remain an invaluable source of engineering information, and therefore the engineer must
maintain some working knowledge of other systems of units for some time into the
future. This is not expected to be a very difficult task, as engineers traditionally have
been required to understand and use different systems. In a few decades, however, most
other systems should become of historic interest only.

A section on the practice, usage and conversion factors for SI units has been
added as Appendix 1. Material for Appendix 1 has been extracted largely from the
Universities Council on Water Resources pamphlet on use of SI units in water resources
engineering. This pamphlet was originally prepared by P.C. Kingeman, Director, Water
Resources Research Institute, Oregon State University. The University of Saskatchewan
is an Affiliate of the Universities Council on Water Resources, and the author is the
University delegate.

The current edition is an updated and expanded version of the 1992 edition. The
author gratefully acknowledges the constructive criticism by Professor J.A. Kells,
Department of Civil Engineering, University of Saskatchewan, who carefully reviewed
the 1992 edition. His many suggestions for improving the clarity of the text were
incorporated in the present edition.

C.D. Smith

Saskatoon, Canada
July, 1995
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CHAPTER1

STORAGE DAMS

A. INTRODUCTION

1. Purposes of Storage Dams

Storage dams are dams built to retain a significant volume of water in storage in a
reservoir. As such, these are relatively high dams. They are to be contrasted with
diversion dams which are generally low in height and may have little or no usable
storage.

Storage dams may be built for flood control, power, irrigation, navigation,
municipal and industrial water supply, conservation of fish and wildlife, or recreational
benefit. Generally, however, a single dam will serve several of these purposes at once.
These are called multi-purpose dams. The storage feature of the dam and reservoir
results in a reduction in maximum flow, for flood control benefit, and an increase in
minimum flow, for the benefit of power, irrigation, and navigation in the downstream
channel.

In addition to providing storage, a storage dam will also create head. This is
particularly important in a power dam because the power potential varies directly as the
head available. Head is also important in irrigation dams because it is frequently
necessary to pump water from the reservoir to a higher level in order to serve the irrigable
areas. Head is not important in flood control dams, navigation dams, or dams for
recreational benefit, except as it affects the storage volume or surface areas of the
Ieservoir.

2. Types of Dam

Dams may be classified according to the purpose, as in Section 1, or they may be
classified according to the materials of construction, as discussed below.

1)  Concrete dams - Concrete dams may be either solid concrete or hollow
concrete. The hollow concrete dams are constructed of thinner sections and
require steel reinforcement. Solid concrete dams may be further subdivided
into gravity dams or arch dams. The solid dams do not require steel
reinforcing. Stability for the gravity dam is obtained by virtue of its own
weight. Stability for the arch dam is obtained by arch action, which
transmits the load in compression into the abutments. A concrete gravity
and concrete arch dam are shown in Figures 1 and 2.

i)  Earth fill dams - These are dams constructed of natural earth materials with
little processing. The materials used vary according to availability, and may
include rock, gravel, sand, clay, or combinations of these. Earth dams may
be further subdivided according to the method of construction rolled fill or
hydraulic fill. The rolled earth fill is the most common.
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Figure 1.  Concrete Gravity Dam
Grand Dixence
Switzerland

Figure2. Arch Dam Ridrocoli,
Italy
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iii) Rock fill dams - Rock fill dams are classified separately from earth fill
because of certain basic differences in the design, construction, and site
conditions. :

iv) Timber and steel dams - Timber or steel may be used for low height dams or
temporary dams. Generally they are less durable than the other types.

The various types of dam are discussed in greater detail in later sections of this
chapter. However, since the loads to be resisted are the same for all types, and since the
basic principles of stability analysis are also similar, a detailed design procedure is given
for only one type - the solid concrete gravity dam.

It should be pointed out that there is no particular relationship between the type of
dam and the purpose to be served. Concrete gravity, concrete arch, earth fill, and rock fill
dams have all been built to heights approaching 300 m. An earth dam can be built for
power, or a concrete dam for irrigation, or vice versa. The type of dam used in a given

situation depends on factors other than the purpose to be served, as explained in Section
3.

3. Considerations in Choice of Site

There are five principal factors which determine the choice of site for a dam, as
follows:

i)  Water supply - There must be ample stream flow at the proposed site to
fulfill the function intended, otherwise the dam would serve no useful
purpose. The stream flow may be assessed from data in the hydrometric
records and from a hydrological analysis.

ii)  Topography of the site - Topography is one of the most important factors
affecting the choice of damsite. It determines the available head, the
available storage, and the volume of materials required for the dam, each of
which is related to the economics of the project. In addition, river alignment
and bank topography largely determine the layout for appurtenant structures
(e.g., powerhouse, spillway, outlet works). Topographical maps are
required for this assessment.

iii) Foundations - Foundation conditions are assessed from a subsurface
exploration and geological survey. The type of dam which must be built is
closely related to the foundation conditions. The bearing strength, shear
strength, and impermeability of the foundation determines its suitability for
a given type of dam.

iv) Availability of materials - The quantity, quality, and distribution of
construction materials is an important economic factor in locating the dam
site and determining the type of dam to be constructed.

v) Land costs - Large areas may be inundated by the creation of the reservoir,
resulting in considerable loss of property previously used for industry or
agriculture. In addition, it may be necessary to relocate towns, railroads, or
highways. These costs must be charged to the project and should be
considered when making a benefit - cost study on the site location of the
-dam.
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B. FORCES ACTING ON GRAVITY DAMS

4, Nature of Forces

The principal forces which act on a gravity dam are those due to water, ice, silt,
earthquake, weight, and foundation reaction. The forces due to water include those
caused by waves and uplift pressures, as well as the obvious forces due to hydrostatic
pressure. Weight is the principal stabilizing force, and the foundation reaction is simply
the force which is equal and opposite the resultant of all the applied loads.

Since each metre of gravity dam must be stable in its own right, it is customary to
calculate forces and stability on a unit width basis rather than for the gross section. Such
an analysis is normally carried out for the maximum section first. Additional analysis
may be required at other sections or in the vicinity of the abutments where the height is
less than the maximum section.

5. External Water

The forces due to headwater and tailwater acting on the upstream and downstream
face of the dam are shown in Figure 3. The water force Fy, for a hydrostatic pressure

distribution on a unit width of dam is given by
[1] Fy, =012/

in which hy is the reservoir depth in metres above the base of the dam, and v is the

specific weight of water at 9.81 kN/m3. This force acts at hy/3 from the base of the dam.

The force due to tailwater acts normal to the inclined downstream face of the dam.
However, it is more convenient to evaluate this force in terms of its horizontal and
vertical components because all other forces used in the analysis are also horizontal or
vertical. The horizontal component of the tailwater force, which is independent of the
slope of the downstream face, is simply Yh22/2 The vertical component is equal to the

weight of the volume of water directly above the inclined surface, and acts through the
centre of gravity of that volume.

6. Silt

Sediment deposits invariably occur in any reservoir constructed on an alluvial
stream. These deposits, consisting of sands, silts, and clays, may eventually build up
against the face of the dam and exert an additional horizontal load, called silt force, Fg.

The magnitude of the silt force is given by

[2] Fs = C(y"- ) hy2/5
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Water pressure distribution

Silt pressure distribution

Figure 3. External Water and Silt Forces

in which hg is the depth of the silt deposit, ¥ is the saturated weight of the silt, and C is
the coefficient of lateral pressure.

The term (Y - y) represents the submerged weight of the silt, and is responsible for
the vertical pressure in the silt deposit. The coefficient C represents the ratio of the

lateral pressure to the vertical pressure and is normally about 1/3. The product C(y*- y) is
sometimes referred to as the equivalent fluid pressure, and has a magnitude from 2.5 to
3.5 kN/m2/m of height. It is assumed that the silt pressure increases linearly with depth.

This is not strictly correct because y” usually increases slightly with depth due to
consolidation of the deposit as the silt depth increases, but this refinement is unnecessary.
The position of the force Fg may be assumed at 2/3 of the silt depth below the top of the
silt.

It is important to note that the water force on the upstream face of the dam is not
reduced because of the presence of the silt deposit, so the silt force from [2] must be
superimposed on the full water force. The reason for this is that the permeability
coefficient for the silt deposit normally will be several hundred times greater than the
permeability coefficient for the rock foundation, and hence the pressure loss due to
seepage through the silt will be negligible.

The most uncertain aspect of the calculation for silt force is the design silt depth
hg. The bed load transported by the stream, consisting of the coarser sediments, will

normally deposit at the head end of the reservoir in the form of a delta or multiple deltas.
The suspended load is transported further into the reservoir before it settles out, and in
fact it may proceed to the face of the dam as a density current. On a low height dam,
such as an overflow diversion dam,the bed load deposit may very well reach the crest of
the overflow section within the life of the structure. On a high storage dam with a large
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reservoir, the bed load may never progress as far as the dam. The depth of silt deposit at
the face of the dam will depend on the elapsed time since completion of the structure, the
concentration of sediment in the stream, the river hydrograph, and size and shape of the
reservoir. It is also possible to control the upper limit of the silt level by means of low
level sluice outlets. Fortunately, the silt force is small compared to the water force so an
exact determination of the ultimate silt level is not critical in design.

7. Ice

In northern latitudes ice load on a vertical face dam can be a very important
consideration. It is often more important than the silt load because the ice load, acting
near the top of the dam, has a much longer moment arm from the base.

Contrary to the layman's conception of ice pressure, the greatest ice thrust on a
dam occurs during expansion of the ice sheet upon thawing, not freezing. Although the
volume change is large during the fusion process as water is transformed into ice at 0°C,
this process does not exert a significant thrust on the dam because the liquid is not
confined. Expansion during ice formation may occur freely in the vertical direction.
Once the ice has formed, it behaves like any other solid, contracting as the temperature
drops and expanding as the temperature rises. In fact, the coefficient of linear expansion
for ice is about five times greater than for steel. During a severe cold spell the ice sheet
will shrink and cracks will develop. These cracks may become filled with snow or water,
which subsequently freezes, thus forming a solid ice cover at low temperature. Upon
temperature rise, the ice sheet expands and thrust is exerted around the confining
perimeter.

Studies by Rose in 1946 related the ice thrust to the thickness of the ice sheet, the
rate of temperature rise, and the degree of edge restraint around the perimeter of the
sheet. The effect of these variables on ice is shown on Figure 4. Naturally a thicker ice
sheet is capable of exerting more thrust. The thrust depends upon the rate of temperature
rise and not the amount, because ice will flow under pressure, and if the sheet expands
slowly, the ice thrust at the edges is relieved. The ice temperature of the underside of the
sheet is always 0°C, but on the surface the ice temperature closely follows the air
temperature unless there is a snow cover. A snow cover will minimize ice thrust as snow
has a remarkable insulating effect. On the other hand, solar radiation on an exposed ice
sheet will increase the rate of expansion of the ice sheet. The degree of lateral restraint
refers to the condition of the sides of the reservoir at the F.S.L. (full supply level). In
mountainous areas the sides may be steep banks of solid rock which effectively prevents
any lateral expansion of the ice sheet. This results in an increase in ice thrust on the dam.
In the plains areas the sides of the reservoir may be gently sloping earth banks. Upon
expansion the ice sheet can ride up the banks of the reservoir, greatly relieving the thrust
exerted on the dam. If the dam itself has a sloping face, the ice thrust may be eliminated.
In fact, it is customary to neglect the ice load on earth dams for this reason. Figure 4
applies only to vertical face dams.

It is important to note that the ice thrust given by Figure 4 is independent of the
size of the ice sheet. Intuitively this does not seem reasonable at first, but it may be
explained by drawing an analogy to temperature stresses in a steel rod. If linear
expansion of the rod is prevented, the compressive stress in the rod due to temperature
rise is independent of its length. In the same way the stress due to temperature rise in the
ice sheet is independent of the size of the reservoir.
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Figure 4. Chart for Ice Thrust on Vertical Face Dams

The compressive stress in an expanding ice sheet is 2 maximum at the surface,
where the temperature change is greatest. At the dam, or any restraining boundary, there
is usually a local redistribution of stress so that the ice pressure becomes more uniformly
distributed. However, for the design purposes, it is customary to apply the ice thrust P; at

the surface of the ice sheet.

It is evident that ice thickness is an important variable in determining ice thrust.
Ice thickness varies from year to year, depending on the freezing index. It is satisfactory
for design to base the thickness on the ‘'normal freezing index'. The normal freezing
index for Canada, in Fahrenheit degree-days, is given in Figure 5. The corresponding ice
thickness may be calculated from

[3] t=0.026 0. VS

in which t is the ice thickness in m, S is the freezing index from Figure 5, and o is a
location coefficient. Values for o are given in Table 1.

TABLE 1
LOCATION COEFFICIENT
Value Description
0.8 Open lake or reservoir, windy, no snow

cover
0.5.-0.7 Small lake or reservoir with snow cover
0.4 -0.5 Average river with snow cover
0.2-0.4  Small sheltered river with snow cover
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Figure5. Normal Freezing Index Fahrenheit Degree-Days
From Boyd, 1976, based on period 1931-60.

8. Uplift

Uplift is the force produced by water under pressure in the pores of the dam and
foundation. This is sometimes referred to as the internal water pressure in order to
distinguish between it and the external hydrostatic pressure acting on the faces of the
dam. It is one of the most misunderstood but important forces acting on the structure.
Despite the low permeability of the concrete and rock, it must be recognized that, given
time, the dam and foundation may become saturated and a hydraulic gradient will be
established. Considering a section of the dam as a free body, as shown on Figure 6, the
base a-a indicated may be any horizontal section through the dam, or indeed at the base of
the dam itself. It can be assumed that the pressure drop due to seepage resistance from
headwater to tailwater is linearly distributed, and therefore a trapezoidal pressure

distribution diagram results, decreasing from vh1 at the heel to yh) at the toe.

It is further assumed that the pressure can act on the full area of the base.
Actually this is not physically possible because a small percentage of the base area will
be occupied by the points of contact between the solid particles above and below a-a.
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However, Leliavsky has shown that the contact area is only 9% for laboratory specimens
of concrete, and is apt to be less at horizontal joints in the structure. For soil with 40%
voids the contact area is only about 2%, which is why the full water load is superimposed
on the silt load when calculating the combined load on the face of the dam below the silt
level. Neglect of the contact area will give a value for the uplift force which is slightly
high. For the conditions shown in Figure 6 the resultant uplift force U, in kN/m, is

[4] U =v(hj +hp) b/2
in which b is the base width in metres. The position of this uplift force, measured from
the heel, may be found by combining the resultant for the rectangular portion and

triangular portion of the uplift diagram, from which
[5] x =b(2hp + h1)/[3(hy + hp)]
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Figure 6. Uplift Pressure

The uplift force adds to the overturning moment on the dam, and at the same time
reduces the effective weight, which lowers the sliding resistance. The uplift force
according to [4] will be so large that it will significantly affect the economics of the
design. Accordingly, measures are usually taken to reduce the uplift pressures on the
base. This is accomplished by a cutoff and drainage system, as shown in Figure 7.



Formed vertical drain holes

Waterstopped joints

\'dao
Ga °

'|/ lieries - o\ :\ ——
# g s ¢ '000.0 *2

SNONNNN ST S SN s AN NSNS NN

Drainage
Curtain

Grout
Curtain

Figure 7. Grout and Drainage Curtains

A grout curtain is most common for the cutoff for a concrete gravity dam on rock.
This is constructed by drilling a line of closely spaced holes about 4 to 6 cm in diameter
into the foundation near the upstream toe of the dam. Cement grout is pumped under
pressure into the holes in order to seal the cracks and fissures in the rock. Grouting
pressures vary from 350 to 1700 kPa. The hole spacing and depth depends upon the
height of the dam and the condition of the rock. A fairly wide hole spacing may be used
for initial grouting. If necessary, more holes are drilled and grouted between the original
holes. A minimum spacing of 1 metre may be needed to get a continuous seal in badly
fractured rock. Usually a thin grout, one part cement to five parts water, is used at the
start of pumping to get good penetration. The grout is thickened to a 1:1 mix as grouting
proceeds. The grout curtain may be constructed before any concrete for the dam is
placed, or it may be constructed later by drilling holes from a gallery located near the
base of the dam at the heel. Should experience show after the reservoir is filled that the
cutoff is not sufficiently tight, additional holes can be drilled and grouted. Usually the
grout holes are drilled at an angle inclined upstream so that the resultant water force due
to differential head across the grout curtain will have a downward component.

A drainage curtain is usually used in conjunction with a grout curtain. The
drainage curtain consists of a row of holes, 5 cm or more in diameter and perhaps 3 m on
centres, which are drilled from the gallery into the rock just downstream from the grout
curtain. The purpose of the drainage curtain is to intercept any seepage which may
escape past the grout curtain. This seepage is collected in a gutter in the gallery and
flows away by gravity or is pumped away.

Concrete dams are normally constructed in successive lifts, rather than a
continuous pour. This simplifies the problem of dissipating the heat associated with
hydration of the cement, and allows for initial shrinkage of the concrete. In any case it
would not be physically possible to schedule a continuous pour over the entire
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construction face. Accordingly, there are horizontal and vertical joints at the bottom and
sides of each pour. As seepage is more likely to occur through joints, these joints are
usually waterstopped with a metal (copper) waterstop near the upstream face of the dam.
In a sense this is an extension of the cutoff over the upstream face. Similarly, formed
vertical drain holes located downstream from each waterstop may be considered as an
extention of the drainage curtain.

The combined effect of the grout and drainage curtains is to greatly reduce the
uplift pressure at the heel and thereby reduce the uplift force under the dam. This
reduction is accounted for in design by use of the uplift intensity factor 8. Without a
cutoff the uplift head at the heel would be hy or hy + (hy - hp), in which (hj - hp) is the
differential uplift head, or headwater minus tailwater. With a cutoff, assumed for

example to be 50% efficient (i.e., d = 0.5), the differential uplift head would be reduced
to 0.5 (h1 - hp), and the resultant uplift head at the heel would be hy + 0.5 (hg - hp). Itis
important to note that the intensity factor applies only to the differential head at the heel
and not the total head hy. The reason for this is that the upstream cutoff can in no way

reduce the uplift pressure which originates with the tailwater. In other words, even if the
cutoff was 100% effective, a pressure head of hy would still exist under the entire base.

Figure 8 illustrates these effects.
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Figure 8. Effect of Cutoff on Uplift Pressure Distribution

Using an uplift pressure of yhy + &y (hy - hy) at the heel and yhy at the toe, the
uplift force U then is

[6] U =1{hy + 8(hq - hp)/2]b
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Recommended values of & range from 0.33 to 1.0. Naturally a value of unity
should be used for dams without cutoffs. Pore pressures observed on some recent well
constructed dams on good foundations have indicated intensity factors far lower than
0.33, but until these dams withstand the test of time it is not prudent to recommend lower
design values. Usually a value of 0.5 is selected for design.

Equation [5] can still be used to locate the position of the resultant uplift force if
hy is replaced by (hy + 8 (hq - hp)). This is necessary to account for the different shape

of the trapezoidal uplift pressure distribution diagram if J is not unity.

9. Wind Effects

(a) Wind Tide. One obvious effect of wind blowing over water is the
generation of waves. A less obvious effect, but one which can be equally important in
terms of force on the dam, is due to wind tide. When wind blows over water, a horizontal
force develops on the water surface in the direction of the wind. This results in the water
piling up at the downwind boundary of the reservoir. Naturally there will be a drop in
water surface elevation at the upwind boundary as well, but this is not important in
design.

This phenomenon is referred to as wind tide or setup, S, where S represents the
rise in water level above the normal horizontal reservoir surface at the downwind
boundary. If setup can occur at the same time as the reservoir is at maximum level, then
the increase in reservoir depth must be taken into account when calculating the
hydrostatic force on the upstream face of the dam. It may be quite significant,
particularly for low dams on shallow reservoirs.

The variables affecting setup are wind velocity, reservoir topography, and fetch
length. The fetch length for wind tide is the straight line distance between the dam and a
point upstream in the reservoir. The point is located to give the maximum distance for a
wind blowing over the reservoir area toward the dam, as shown in Figure 9. It is not
necessary that the line selected be continuously over water because setup can accumulate
around bends.

The design wind velocity in the direction of the fetch may be determined from a
study of the wind rose and frequency data for the area in question. The design wind is
often selected as having a recurrence interval of 50 to 100 years. Most wind velocity data
taken at meteorological stations give the wind velocities over land, as taken at 7.5 m
height above ground. Due to the absence of topographical relief, the over water wind
velocity is invariably greater than this, and may be accounted for by multiplying the over
land wind speed by a factor depending on the length of the fetch. If the fetch length
exceeds 10 km the multiplying factor is 1.3, which is the maximum. For shorter fetch
lengths the factor is reduced. The effect is shown in Table 2.

TABLE 2
FETCH WIND SPEED CORRECTION FACTOR

Fetch length, km 0 1 2 3 5 10
Correction factor 1.0 | 1.09 | 1.15 | 1.20 | 1.25 | 1.30
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Figure 9. Definition Sketch for Setup

The wind speed used in calculations is the average sustained wind speed, and not
the maximum velocities recorded during short duration gusts. It is possible to have wind
gust velocities up to twice the average velocity. Typical design wind velocities in North
America range from 80 to 160 km/h, except in hurricane areas where velocities of 240
km/h may be reached. An indication of the variation in wind velocity in different parts of
Canada is shown in Figure 10. This figure shows the isovels for the maximum average
wind speed of one hour duration, as determined by the Atmospheric Environmental
Service over a 30 year period of record. Average wind speeds can be expected to be
higher for durations shorter than one hour, and lower for longer durations. Also a 1:50
wind would have a somewhat larger wind speed than the 1:30 wind.

Wind durations required to develop maximum setup are primarily a function of
fetch length. Suggested values from the Guide to Bridge Hydraulics (edited by Neill) are
given in Table 3. These values are a guide only, since actual setup times are affected by
the reservoir profile and planform.

TABLE 3
DURATION OF SUSTAINED WIND TO PRODUCE MAXIMUM SETUP

Fetch (km) <15] 30 | 50 | 65
Wind Duration (h) 2 1 3| 4| s




Figure 10. Maximum Hourly Wind Speed in km/h for Annual Probability 1:30
(from Atmospheric Environment Service 1986)

An equation for setup may be derived as follows: Consider an elemental length
dx and unit width, as shown in Figure 9. Due to the water surface slope dy/dx, the
hydrostatic force F7 is greater than F{. The equilibrium equation is

tdx = Fp - Fy

in which 1 is the shearing stress on the water surface due to the wind. This shearing
stress may be expressed in terms of the surface drag equation, and hence

Cep dx V212 =1{(y + dy)? - y2112
or
dy/dx = Cg p V2/(2yy)

from which

dy/dx o< V2/y



This equation shows that with a variable reservoir depth, the water surface slope is
not constant over the whole reservoir even for a constant wind velocity. However, if y is
taken as the average reservoir depth D over the fetch length, the calculated water surface
slope will also represent an approximate average value, from which

S o< F dy/dx o< FVZ/D

or
[7] S = kFV2/D

where k is a constant of proportionality.

The factor k includes all the constants and has been established from observations
on prototypes. With k having the units of 1/g, [7] is dimensionally homogeneous;
however, for convenience it is customary to express F in km and V in km/h. With S and
D expressed in metres, the equation reduces to

[8] S = FV2/(63,000D)

This is known as the Zuider Zee formula, having been originally developed from studies
in Holland in the 1930's.

Normally both the design wind velocity and the fetch length will change if a
different direction is selected for the analysis. It is evident from [8] that the maximum

setup will occur for the direction for which FV2 is a maximum. Thus, a shorter fetch
could give a greater setup if the wind velocity in that direction is substantially greater.

Equation [8] is accurate for a reservoir of constant depth and rectangular in
planform. Normally the reservoir is both deeper and wider at the dam (downwind
boundary of the fetch) and [8] must be modified to

91  S=k k, FV%(63,000D)

in which k; is the setup reduction factor for an increase in depth at the dam and k) is the
planform factor to account for a change in reservoir width. Table 4 gives values of k; for
various ratios of the upwind depth to downwind depth, D /D, based on a more or less
uniform rate of depth variation along the fetch, with D, <D < Dy.

TABLE 4
SETUP REDUCTION FACTOR FOR INCREASE IN RESERVOIR DEPTH

Dy/Dg | 1.0 0.8 0.6 0.4 0.2
kg 1.0 0972 0941 0922 0911

The value of k, is given by

[10] Ly =0.667 (2b, +by) / (b +by)



in which b, is the reservoir width at the upwind boundary of the fetch and by is the width
at the downwind boundary. For a water body that is triangular in plan, with the apex of
the triangle at the upwind boundary, then from [10], with b, = 0, k, = 0.667. If the
reservoir is rectangular in planform, with b, = by, then k, = 1. It is also possible for k, to
be greater than unity if the water body converges in the downwind direction (b, > by).
These corrections arise from consideration of the fact that the increase in water volume

under the setup above the original still water level must equal the loss of volume due to
setdown below the original still water level.

(b)  Waves. Wind generated waves are not regular. In a wave group there will
be waves of different heights, and since the wave velocity depends upon the height,
various combinations of reinforcement and annulment occur. In coastal hydraulics, wave
studies are based on a wave height called the significant wave height, which is the
average height of the highest one-third of the waves. Frequency studies on actual storm
waves have shown that the significant wave height is equalled or exceeded by 13% of the
waves. The significant wave height has also been adopted for design on inland lakes and
reservoirs. Based on studies of 45 storms over Denison and Fort Peck reservoirs, the
Corps of Engineers recommended the dimensionally homogeneous equation

[11] hy, = 0.0026V1-96 F,0.47/g0.53

in which hyy, is the significant wave height in m, V is the design wind velocity in m/s, Fg

is the effective fetch in m, and g is acceleration due to gravity. With the wind velocity in
km/h and the fetch in km, the equation can be reduced for design purposes to

[12] hy = 0.00513 V1.06 p 047

Also, the equation for wave length L, is given by

[13] L, =0.187 V088 0.56

Equations [12] and [13] are for deep water waves and apply to the case where the
reservoir depth over the generation area is great enough so that wave heights will not be
reduced by bottom effects. This is usually a reasonable assumption for winds blowing
toward the dam because the reservoir depth is greatest at the dam. Bottom effects can be
disregarded if the depth at the dam exceeds one-third of the wave length L, although the

effect is still small even at one-quarter of the wave length.

The fetch Fe used in wave calculations is not the same as the fetch used in wind

tide calculations. Wind tide effects can be transferred around bends or through openings
in causeways, whereas wave effects cannot. Further, wave heights may be reduced by
frictional effects on the sides of a narrow reservoir. Although some sophisticated
methods have been developed to compute the effective fetch for wave height calculations,
for most designs the effect of the average reservoir width W can be accounted for by
multiplying the maximum straight unobstructed water length L facing the dam by a
coefficient K such that

[14] Fg = KL



Values for K according to Saville are given in Table 5.

TABLE 5
FETCH CORRECTION FACTOR

WL| 00 01 02 03 04 05 06 08 10 12 15 20

K 1000 026 040 051 060 0.67 0.73 0.83 090 094 0.98 1.00

Wind durations required to develop the maximum wave height are given in Table
6. Although fetch values in excess of 1000 km are possible in coastal hydraulics, the
irregularities of shape and alignment on inland reservoirs make it unlikely that a 50 km
effective fetch would be exceeded, even for the deepest reservoirs. Accordingly, the
required wind durations are quite short, particularly for the higher velocity winds, so it is
usually necessary in practice to design for the maximum wave height. However, the very
short durations indicated in Table 6 for the short fetch values would suggest that higher
design winds should be used for the smaller reservoirs. For example, in an area where an
80 km/h design wind is used for a large reservoir with a 30 km fetch, a 90 or 100 km/h
wind should probably be used for a small reservoir with a 1 km fetch. The rationale here
is that in an extensive sustained 80 km/h wind storm, it is possible to get a local shorter
duration wind of higher velocity.

TABLE 6
WIND DURATION TO DEVELOP MAXIMUM WAVE HEIGHT
(Tabled values are wind duration in hours)

Wind Velocity
km/h 50 75 100 125
Fetch
km
2 0.45 0.37 0.32 0.29
5 0.82 0.69 0.60 0.52
10 1.38 1.15 1.02 0.92
15 1.88 1.56 1.38 1.27
20 2.38 1.96 1.73 1.58
30 3.20 2.63 2.32 2.08
40 3.93 3.24 2.86 2.56
50 4.60 3.82 3.37 3.03

A further limitation in the use of [12] and [13] is given by
[15] Fe(max.) = 0.031 V2

with Fg in km and V in km/h. The reason for this limitation is that wave heights will not
increase indefinitely with fetch length. There is an upper limit to the wave height
independent of fetch length, just as there is an upper limit independent of wind duration.
Equation [15] is important in coastal hydraulics, or perhaps on the Great Lakes, where a
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large unobstructed expanse of water exists. Examination of the equation will show,
however, that this fetch limit will not be reached for artificial inland reservoirs.

When a deep water wave approaches a smooth vertical barrier the wave does not
break, but is reflected as a wave of double the amplitude. The vertical pressure
distribution in the wave is somewhat less than hydrostatic, but conservatively a
hydrostatic pressure may be assumed, for which the wave force Py, in kN/m is

[16] Py, = Y(2hy)%/2

This force may be applied at the mean water surface elevation, and should be
superimposed on the full hydrostatic force due to headwater.

The horizontal water forces due to setup and waves are often neglected for
reservoirs over 60 m deep. The setup for deep reservoirs is negligible, and even for a 3 m
wave the wave force would be less than 1% of the hydrostatic force on a 60 m dam.
Some designers neglect wave forces even for lower height dams, reasoning that due to
wave irregularities it is unlikely that the wave will peak along the entire face of the dam
at the same time.

It should be pointed out that for waves approaching a shoreline or barrier over a
gently sloping bottom, the wave length will be progressively reduced and the height
amplified as the wave moves into the shallows. Once the wave steepness hy,/L, exceeds
one-seventh, the wave will break. The impact forces associated with a breaking wave can
be many times greater than indicated by [16]. Generally, it is advisable to conduct model
studies for shoreline structures because the wave performance can be affected by the local
site geometry.

10. Earthquake

Earthquake, which is a violent shaking of the earth's crust, may be treated as a
reversing horizontal acceleration. Due to the inertia of the dam, it tends to resist the
motion, and the stresses in the dam and foundation may increase momentarily. In the
static loading method of analysis, the motion is replaced by the equivalent inertia force
P, as given by

[17] Pe = Ma

in which M is the mass of the dam and a is the earthquake acceleration. The force Py is
applied at the centre of gravity of the section.

Earthquake intensity is expressed in terms of the factor o, which is the ratio of
earthquake acceleration to acceleration due to gravity. Since M = W/g, where W is the
weight of the dam, [17] may be written as

[18] Po=0W

Design values for o range from zero to 0.40, the highest values for seismically
active regions in Japan, parts of China, the Middle East and in North America in Alaska,
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California and the Yellowstone Park area. Earthquake magnitude may be expressed in
terms of the Richter number n, in the expression

[19] n =logj(CA)

in which C is a constant and A is the horizontal amplitude of the ground motion 100 km
from the centre of the disturbance. Put another way, the amplitude, or earthquake
intensity, can be expressed as some constant times 101, which shows that each increase in
n of one unit corresponds to a tenfold increase in intensity.

A quake with Richter number 3 is barely felt indoors, 5 gives minor damage, 6
significant damage, 7 severe damage, 8 widespread enormous damage, 9 catastrophic
damage on a continental scale, and 10 a world scale quake. No quake exceeding 8.6 has
ever been recorded. It is believed a Richter 10 could only be caused by earth collision
with a large meteor several km in diameter. The 1906 San Francisco earthquake , in
which 700 people died, was measured at Richter 7.9. The 1978 Iran earthquake, in which
20,000 were killed, measured 7.7.

The horizontal g forces on a structure produced by horizontal acceleration are
obviously related to the Richter number. Unfortunately a direct correlation is not
possible because acceleration at a structure depends on distance from the epicentre, soil
conditions, and type of structure. However, a seismic risk map has been prepared by the
California Applied Technology Council for the United States, as shown in Figure 11.
This map gives earthquake acceleration contours in terms of g forces. The risk of
exceeding the indicated value in a 50 year period is stated as 1 in 10.

Although a similar risk map has not been prepared for Canada, much of Canada is
considered seismically inactive and earthquake load is often neglected. Values of 0.1
may be assigned for the West Coast regions or for southern Ontario.

Figure 11.  Seismic Risk Map - USA (Value on contour represents the ratio of
earthquake acceleration to the acceleration due to gravity)



It has been observed that the period of motion for an earthquake is many times
greater than the natural frequency of a concrete dam, so resonance will not occur and the
risk of a large amplitude response is slight. The static loading method is believed to be
conservative because the actual acceleration response of the dam decreases with height
above the base, and therefore the true earthquake force is somewhat smaller than
assumed. If necessary, earthquake effect on important dams may be model studied using
a shaking table.

Evaluation of the increase in load on the dam due to changed pressure distribution
in the reservoir during an earthquake is quite complicated. As an approximation of the

effect the load determined from [18] may be increased by 50% if o is 0.1 or less. More

detailed analysis is recommended for larger values of o.. The critical direction for
earthquake load is downstream when the reservoir is full, upstream when the reservoir is
empty.

11.  Weight

The weight W is the principal stabilizing force for the gravity dam. It is applied
vertically at the centre of gravity of the section. For design purposes it may be assumed

that the concrete weight is 23.6 kN/m3.

12. Foundation Reaction

All the loads applied to the dam or by the dam must ultimately be transmitted to
the foundation on which it rests. The foundation reaction is the force which is equal in
magnitude and opposite in direction to the resultant of all the other forces. The problem
of stability analysis, therefore, involves a relatively simple application of principles of
static equilibrium.

C. STABILITY CRITERIA FOR GRAVITY DAMS

13. Overturning

Consider conditions existing along the horizontal plane m - n in Figure 12. This
plane may be at the base of the dam, or at any horizontal section through the dam above
the base where a stability check is to be made. The forces acting on the section above m -
n may be combined into a single resultant force R. Since R may be applied at any point
along its line of action, it can be applied at point o where the line of action cuts m - n.
The components of the resultant are Ry and Ry,. Evidently Ryy will produce only sliding
or shear stresses on plane m - n, whereas Ry, will produce only compression or tension
stresses on plane m - n.

Obviously overturning per se would occur if the resultant R fell outside of the base
downstream from n. However, a failure would occur long before the resultant reached
this position. As R moves closer to the toe, the pressure would decrease at m and
increase at n. Eventually tension cracks would form at the upstream face of the dam,
resulting in a further increase in uplift pressure, and excessive compressive stresses
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would occur at the toe, resulting in crushing. This development would be accompanied
by movement, tipping, and rupture in the concrete and/or foundation, and probably loss
of the reservoir. Although the dam may not actually overturn, the result is still a failure.

In a sense the word "overturning” is a misnomer, because the objective in design
is to keep the compressive stresses within the allowable limit, and prevent the
development of any tension stresses in the concrete.

Figure 12. Resultant Forces

Concrete is weak in tension, the ultimate tension strength being only one-tenth of
the ultimate compressive strength. Since the gravity dam is not reinforced with steel, it is
considered unwise to permit any tension stresses whatsoever.

It may be assumed that the distribution of vertical stress between m and n is
linear, as shown in Figure 13. In this case the actual stresses at these extreme points may
be solved using the combined stress formula, as in the case for an eccentrically loaded
column. Hence, for a unit width,

[20] f =Ry/b+ M(b/2)/1

in which f is the vertical stress in kN/m2, Ry the resultant vertical force in kN, b the base

width in m, M the bending moment in kN.m, and I the moment of inertia of the section.
The bending moment may be written in terms of Ry, as

[21] M =Rye

in which e is the eccentricity of the force Ry (i.e. the horizontal distance from the centre
of the base to the point where Ry, acts). The moment of inertia of the base section, which
is b metres long by 1 m wide, is,
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Figure 13. Foundation Stress Distribution Diagram

[22] I=b3/12
If [21] and [22]are substituted into [20], the stress equation becomes
[23] f=Ry (1x6e/b)/b

The + sign is used to solve for the toe stress and the - sign to solve for the heel stress. Of
course e can also be negative for certain conditions of loading.

Equation [23] may be used to solve for the permissible eccentricity of the
resultant. Since no tension is allowed, the minimum allowable value for f is zero, and the
limits for e are then

[24] e =1 b/6

The length + b/6 comprises the middle third of the base. This is the basis for the Middle
Third Rule, which states that the resultant force must fall within the middle third of the
base for all conditions of loading, including uplift. This rule must be satisfied with the
reservoir full or empty, and at any horizontal section through the dam above the base as
well as the base itself. This insures that there will be no tension anywhere in the cross
section, and overturning criterion will be satisfied.

In design, it is customary to select the base width so that under the worst
conditions of loading the resultant of all the applied forces will cut the base right at the
downstream third point. This gives the shortest permissible base length and therefore the
most economical cross section for the dam.

A simple overturning analysis can be used to determine the most economical
shape for a gravity section. A number of possible basic shapes are shown in Figure 14.
The most economical basic shape for the dam will be the one with the smallest cross-
sectional area. This may be found by first solving for the required values of b to satisfy
overturning criterion, that is by setting the summation of the moments of the forces equal
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to zero with the resultant of the foundation reaction acting at the downstream third point.
It is most convenient to take moments about the downstream third point so the resultant
will be eliminated from the equation. For purposes of illustration only the principal
forces, water, weight and foundation reaction, are considered in the analysis.

(a) ' (b)

Figure 14. Possible Dam Shapes

Referring to Figure 14, and using v, as the specific weight of concrete at 23.6

kN/m3, and for water ¥ =9.81 kN/m3 then for = M, = 0 the moment equations are as
follows:

Case (a) ¥h2/2 x W/3 - y:bh x b/6 = 0
b/h =\ Y =0.645

Case (b) ¥h2/2 x h/3 - ybW/2 x b/3 =0
b/h =\ Yy =0.645

Case (c) ¥h2/2 x h/3 - yhb/4 x b/2 - Y:bh/2 x b/6 =0
b/h=0.716

Case (d) ¥h2/2 x W/3 - yhb/2 x b/3 - Yhb/2 x 0 =0
b/h = 1.00

Evidently section (b), the triangular section with vertical face upstream, is the
most economical section. Section (a), the rectangular section, is sometimes used for low
height dams such as cellular steel cofferdams or rock filled timber cribs. This is required
because of the type of construction involved. An interesting point about section (d) is
that it would satisfy the overturning stability criterion even if it was weightless because
the weight force has no moment arm about the downstream third point. As a
consequence, this shape, triangular with the inclined face upstream, is the basic shape for
the hollow concrete dam. Stability is obtained from the vertical component of water
force on the upstream face.



1-24

The b/h values from the preceding analysis are not to be used in actual designs.
When all loads are considered, the actual b/h values for concrete gravity dams usually fall
in the range of 0.7 to 0.8, except for case (d) where b/h = 1.

14. Sliding

Sliding could occur at the foundation joint, at any horizontal joint above the base,
or even in the foundation below the base should a weak strata be present. If the
foundation is homogeneous, sliding at the foundation joint is usually critical. To ensure
adequate safety against a sliding failure, either the friction formula or the shear - friction
formula must be satisfied.

For dams constructed on rock, the friction formula for sliding stability is

[25] Ry < fRy

in which Ry is the summation of all the horizontal forces above the potential sliding
surface, Ry, is the summation of all the vertical forces, including uplift, and f is the

coefficient of static friction. The value of f is determined from laboratory tests of the
concrete and rock using well dressed specimens with smooth plane surfaces. Values of f
for concrete on concrete and concrete on rock are about 0.7. This automatically provides
for a factor of safety of at least two, because the actual sliding resistance for non-planar
roughened or keyed surfaces, as actually used in construction, is at least twice as great as
for well dressed specimens of the same material. Furthermore, the value of 0.7 does not
include any internal shear strength of the material due to cohesion or bonding at the
joints.

For dams constructed on sand or gravel, [25] must be modified to include a
specified factor of safety, as given by

[26] Ry < fRy/Sg

in which S¢ is the safety factor. The value of Sgis usually taken as 2 or more. The reason

a specified safety factor must be used is because sliding can occur in the foundation just
below the base, and the experimentally determined value for f for the gravel or sand
corresponds to the actual value which will exist in situ. There is no increase in shearing
resistance due to cohesion since sands and gravels are cohesionless. The value for f is tan

¢, where ¢ is the angle of internal friction, and ranges from 20° to 35° for sands and
gravels.

For dams constructed on rock an alternative to the friction formula is the shear-
friction formula. In this case the entire sliding resistance is considered, including shear
strength due to cohesion, and a specified safety factor is applied. By using special
construction procedures, it is possible to develop a significant shearing strength in the
concrete and foundation rock. The surface to be concreted must be cleaned to remove all
dirt and loose material. This may be done by sandblasting and sluicing. If the surface is a
previous pour of concrete, the laitence film must be completely removed. The surface is
brushed with a cement mortar paste just prior to concreting in order to insure a good
bond. All horizontal and vertical construction joints are keyed, and the blocks
comprising each lift may even be staggered. In this way a sliding failure cannot occur
without overcoming the shearing resistance of at least part of the material.
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The shear-friction formula is
[27] Ry < (fRy +rvA)/Sg £

in which Ry, Ry, and f are the same as for the friction formula, v is the ultimate shearing

strength of the material, A is the base area, r is the ratio of the average shear stress to the
maximum shear stress, and Sg_f is the shear-friction safety factor. Values of v range from

4000 to 8000 kPa, depending on the strength of the concrete and rock, r is taken as 0.5,
and a value of 4 or 5 is used for the shear-friction safety factor. For a unit width analysis
the area under consideration is b x 1 m2. The factor r is needed to account for the
distribution of horizontal shearing stress along the base. Because shearing stresses are
zero on planes of principal stress, the horizontal shearing stress is zero at the vertical
upstream face of the dam, increasing to a maximum at the inclined downstream face. A
conservative value must be used for the factor of safety because [27] includes the total
sliding resistance without any allowance for strength variations due to thermal effects,
shrinkage, or inadequate bonding at some joints.

If the base width determined from the overturning analysis satisfies the friction
formula, a further check on sliding is unnecessary. If the friction formula is not satisfied,
then the expedients to develop shearing resistance are resorted to, and the shear-friction
formula is applied.

15. Compressive Stresses

The maximum principal stress in the dam and foundation must be kept within
allowable design values. Whereas uplift is critical in overturning and sliding stability
calculations, the worst case for compressive stresses is with no uplift. Without uplift the
entire weight of the dam must be carried by the solid particles of the dam and foundation.
Zero uplift must be considered as a possible loading condition. In fact it will occur as an
initial loading condition before uplift develops, and will apply also if the measures taken
to prevent uplift are completely successful.

Principal stresses occur on planes parallel to and perpendicular to free boundaries,
and hence one plane of principal stress is perpendicular to the inclined downstream face
of the dam. The stress on this plane, f' is often called the inclined stress to distinguish it
from vertical stresses. The vertical stresses are not necessarily principal stresses, but they
can be used to solve for them as follows: Consider a small triangular element abc on the
downstream face of the dam, as shown in Figure 15. The principal stress f* acts on plane
ab and is parallel to the downstream face. On plane be there exists the vertical stress f
and a shearing stress v. For static equilibrium the summation of vertical forces must be
zero, whence

fab cosa-fbc =0

Also coso = ab/be, so

[28] £ = f/cos2a,
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Equation [28] shows that for o0 = 45°, the principal stress is twice the vertical
stress. The vertical stress at the point in question may be solved by applying the
combined stress equation, that is [23], excluding uplift. In this case Ry =W.

b?'vf‘r

Figure 15. Vertical and Principal Stresses

At the toe of dam the stress £ will exist in both the dam and the foundation. This
stress must be checked against the allowable concrete and foundation stress. The
allowable concrete stress usually ranges from 2000 to 4000 kPa. These stresses are much
lower than used in building construction, since 10 MPa concrete may be used, in contrast
to 20 or 30 MPa concrete in building construction. In a gravity dam high strength is not
essential and dead weight is an asset rather than a liability. Use of lower strength
concrete permits cost savings in terms of reduced cement content. The allowable
foundation stress must be determined from tests on the foundation material. Some typical
values are shown in Table 7. It is evident that the nature of the foundation has a
significant influence on the permissible height of the dam. Only the best rock
foundations are suitable for very high dams.

TABLE 7
ALLOWABLE FOUNDATION STRESSES
Foundation Material Allowable Stress*
(kPa)
Granite 4000 - 6000
Limestone 3000 - 4000
Sandstone 2500- 3500
Gravel 300- 600
Sand 200 - 400
Stiff Clay 200 - 400
Soft Clay 50 - 100

* Approximately 1/5 of the ultimate strength

The use of an allowable foundation stress as low as 1/5 of the ultimate strength
may appear to be unduly conservative. However, such a high apparent factor of safety
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reflects the degree of uncertainty about the foundation. While concrete production for the
dam may be subject to inspection and control, foundation weaknesses may not be
revealed by the subsurface exploration. Conservative factors of safety are warranted for
major dams, given the possible consequences of a failure. Such consequences may
include serious damage and loss of life, in addition to loss of the investment.

D. DESIGN PROCEDURE

16. Iculation of the B idth

As indicated in Section 13, the basic section for a concrete gravity dam is
triangular with the vertical face upstream. It is possible to start the design from the top of
the dam, satisfying the various stability criteria at selected increments of height as the
design proceeds toward the base. This is called the multiple-step design. The multiple-
step design usually gives non-planar surfaces for both the upstream and downstream
faces. Alternatively, the single-step design procedure may be used, in which the base
width is established first and other elevations checked later. Plane surfaces are assumed
for the upstream and downstream faces. Although the cross section is somewhat more
economic for the multiple-step design, the single-step design has been used even for
major dams. The design takes less time, construction is simpler, and it may be preferred
aesthetically.

In the single step design procedure, the height h of the basic triangle is selected so
the apex is at the elevation of the maximum expected reservoir surface, including setup, if
any. The base width b of the triangle necessary to satisfy overturning criteria is solved
for the worst condition of loading. It may be necessary to check several different loading
combinations to determine which one is most critical. In particular, the effect of tailwater
cannot always be determined from inspection, since a high tailwater will increase the
uplift but reduce the net horizontal water force.

The base width determined in the overturning analysis is used to check sliding
stability. If the friction formula cannot be satisfied, then either the base must be
increased, or the shear - friction formula must be applied. When the shear - friction
formula is used, it must be understood that a more expensive construction procedure is
required to develop the required sliding resistance.

Finally, the principal stress at the toe of the dam is solved. If this exceeds the
allowable stress in the foundation either the base must be widened or a different type of
dam investigated.

Regardless of the load combinations investigated, uplift must always be included
for overturning and sliding analysis, and omitted for compressive stress analysis.

17. Fr rd and To idth

It is evident that certain modifications to the basic triangle must be made in order
to secure a functional design. The dam must have a top width in order to facilitate
crossings by operators or traffic. In addition, a substantial top thickness is needed to
resist ice pressure. The top width is usually selected between 0.1 h and 0.15 h. If a wider
crest is needed to accommodate more traffic lanes, the extra width is obtained by a deck
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slab and buttress design of thin reinforced concrete sections. A massive top section is
unnecessary, and, in fact, is undesirable if a significant earthquake load must be
considered.

In order to prevent overtopping of the dam due to wave action, freeboard is
required. Freeboard may be defined as the height of the dam crest above the maximum
operating level of the reservoir. This level may be above the normal operating FSL, as
usually there is some allowance for reservoir surcharge to accommodate flood storage.
Since the design flood normally will be associated with severe storm conditions over the
drainage area, there is some probability that the design wind will occur at the same time
as the design flood. Accordingly, it may be necessary to consider setup in arriving at the
maximum reservoir elevation.

The freeboard allowance must include the setup S, wave runup R, and some
nominal extra height E, as expressed in

[29] FB=S+R+E

and as illustrated on Figure 16. The extra height E represents a margin of safety, but
would be required in any case if it was intended to prevent all waves from overtopping.
The reason for this is that the runup is based on the significant wave height hy,, and in a

wave group the significant wave height is equalled or exceeded by 13% of the waves.

For a concrete gravity dam, a value of 0.5 m is adequate for E. This may not
contain all the waves but an occasional splash blown over the dam during an extreme
storm is not considered serious. Frequently, part of the height needed for freeboard is
obtained by constructing a 1 m high vertical reinforced concrete parapet wall at the
upstream face of the dam. In this way, the solid part of the dam crest can be placed 1 m
below the elevation required for freeboard, and a significant saving in material can be
made. It is beneficial to use a rollback lip at the top of the parapet wall. This is a small
overhanging projection intended to intercept and deflect back into the reservoir any runup
that exceeds the freeboard.

Normal Max. W.S.

P

Figure 16. Freeboard Allowance
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For earth dams the consequences of wave overtopping are more serious. It is
more prudent to design for the 1% or 2% wave rather than significant wave height.
Observations have shown that the height of the 1% wave is 1.60 times the significant
wave height given by [12], and the 2% wave is 1.45 times the significant wave height.

When a wave reaches a barrier such as a causeway, breakwater, or dam, it will
ride up the face of the barrier to some height above the mean water level. This is called
wave runup, R, and is defined as the height in metres above the mean water surface that
the crest of the wave will reach when it interacts with the barrier. The runup depends
upon the slope and roughness of the face, the amplitude and steepness of the wave, and
the water depth in the approach area. For storage dams the water depth in the approach
area is usually deep enough so depth is eliminated as a significant variable, and the waves
are considered as deep water waves. The error in this assumption is not significant as
long as the water depth at the dam is not less than 1/4 of the wave length. Wave
steepness affects runup in that for a given amplitude a flat wave has greater duration and
hence a greater runup. Wave steepness is accounted for in terms of the wave length L in
the ratio hy/Lg. It will be found from [12] and [13] that wave steepness decreases, and
hence relative runup R/hy, increases, as the fetch increases.

Figure 17 gives the relative runup for smooth sloping face dams according to
Saville. These curves may be used to determine R for smooth face dams of steel, timber,
or concrete, or earth and rock dams with a concrete facing. It is apparent that the greatest
runup occurs for sloping faces that are not too flat. Runup is greatly reduced for very flat
slopes because the wave breaks and its energy is lost before it reaches the embankment.
If the upstream face of the dam is protected by riprap, Saville suggests that the runup
ratios of Figure 17 can be halved.

Figure 17 does not give runup ratios for steep and vertical face dams. Wave
runup on steep face dams is complicated by the fact that waves are reflected from the
face, and these combine with the incoming waves to produce an infinite number of
possible combinations. Research in this area has not advanced to the same point
exemplified by Figure 17 for sloping face dams. Fortunately, vertical face dams are
invariably concrete, and therefore inerodible, so the knowledge deficiency in this area is
not a serious handicap. In theory a value of R/hy, = 1.0 would apply to the particular case
of an approaching sine wave reflected at double the amplitude. However, natural storm
waves are often trochoidal in shape. Trochoidal waves have sharper crests and longer
shallower troughs, and therefore more than half thewave height occurs above mean water
level. For design purposes a runup ratio R/hy, = 1.5, based on the significant wave

height, is recommended for smooth vertical face dams.

18.  Upstream Flare

In theory an upstream flare must be used on a concrete gravity dam in order to
satisfy the Middle Third Rule with the reservoir empty. A reservoir empty condition may
occur just at the completion of construction before the reservoir is filled, or it may occur
later if the reservoir must be drained for any reason. The resultant force for the basic
triangle alone will fall exactly on the upstream third point with the reservoir empty.
However, the effect of the added top section for freeboard and top width is to move the
resultant further upstream. An upstream flare, as shown in Figure 18, will widen the base
in the upstream direction and move the third points accordingly. The flare is usually a
minor modification to the section, but it can be very significant if it is necessary to
consider earthquake load with the reservoir empty. In this case the earthquake load is
applied in the upstream direction.
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Figure 17. Wave Runup Ratios

The height of flare y may be located at the intersection of the upstream middle
third line and the line of action for the weight of the shaded portion in Figure 18. This is
the elevation below which the resultant for the top section and the basic triangle would
fall upstream from the middle third zone unless the section is widened. The required
width of flare x can be calculated by setting the summation of moments of weight forces,
taken about the new upstream third point, equal to zero.

In practice it is not usually necessary to satisfy the Middle Third Rule with the
reservoir empty. To begin with some water is normally ponded in the reservoir during
construction, and in fact for a very high dam filling of the reservoir may be started before
the dam is topped out in order to permit utilization of the completed project without
delay. Also, it is permissable to permit some tension at the toe during construction. This
tension would be small, temporary and in a region that would ultimately be under
compression when the reservoir is filled. As a result the upstream flare, when used,
normally takes the form of a local fillet, as shown in Figure 19, rather than a high tapered

wedge. '
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Figure 19. Cross Section for Fontana Dam, Tennessee
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E. SINGLE ARCH DAMS
19. General

The single arch dam is also a solid concrete dam, but it requires only about one-
fifth of the material that would be used for a gravity dam at the same site. Most of the
hydrostatic load from the reservoir is transmitted by arch action into the abutments. The
load is carried entirely in compression so steel reinforcement is not required.

The site requirements for the single arch dam are: (1) Firm unyielding rock
abutments; and (2) a valley which is relatively narrow in proportion to its height. Ideally
the span to height ratio for a single arch should be five or less, and in any case a value of
ten is a maximum. A wide span is unsuitable for the single arch because the arch
thickness would have to be greatly increased and the abutment loads would be excessive.

Any movement of an abutment is almost certain to result in failure of the arch. In
this respect it is important to note that the arch dam must be treated as a complete unit in
the stability analysis. The design is considerably more complex than for the gravity dam.
The arch design is usually curved in elevation as well as in plan, and the radius of
curvature may be constant or may vary with height. It may be necessary to use an
unsymmetrical arch to suit the valley shape.

20. Arch Stresses

The stress equation for a submerged cylinder with an inner radius of rj and an
outer radius of rq is

[30] f = plro? + (1262 2]/(12 - 1;2)

in which f is the tangential compressive stress at any radius r, and p is the external
pressure acting normal to the cylinder wall. The maximum stress occurs on the inside
wall, for which r =r;, and since the wall thickness t = rg - 1j, then [30] may be reduced to

[31] f; = 2p 1o 2/[t(rg + 17)]

This is the equation for the tangential stress on the inside wall of a thick cylinder. If tis
small compared to the radius, it may be assumed that ry =1j, and f, = fj = f (average
stress), and [31] reduces to the classical hoop stress equation for a thin cylinder

[32] f=pro/t
This equation gives results within 2% of [31] provided ry/t > 25.

The cylinder theory cannot be applied exactly to an arch dam. In a complete
cylinder the diameter shortens under load, the shape remains cylindrical, and [31] still
applies. An arch dam is not a complete cylinder, and under load the span between the
abutments will not shorten, but lengthen, or at best remain constant. The accompanying
deflection of the arch will reduce the compressive stress on the intrados at the centre of
the arch, but it will increase the compressive stress on the intrados at the abutments.
Theoretically a somewhat thinner section could be used at the centre than at the
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abutments. Usually a constant thickness is used at one elevation, and hence the abutment
stress governs the design.

Maximum abutment stresses at the intrados (f;), assuming no abutment yielding,
have been calculated from elastic theory. These stresses are greater than given by the thin
cylinder equation, but can be accounted for in design by multiplying the thin cylinder
stress by a coefficient K, such that

[33] fa; = K proft

The coefficient K depends upon both the central angle 26 and the thickness ratio r/t, in
which r is the mean radius of the arch. The relationship between these variables is shown
by the family of curves on Figure 20. It is to be noted that the thin cylinder theory (i.e. K
= 1) is approached for very large values of 20 and r/t. Also, for values of K greater than
two, tension will exist on the extrados at the abutment. The somewhat abrupt change in
direction of the curves above the tension line is due to the assumption of negligible
concrete strength in tension, and hence compressive stresses must be correspondingly
increased to carry the bending moment.

Any shortening and accompanying flattening of the arch due to concrete
shrinkage or temperature contraction will allow a further increase in the compressive
stresses at the abutment intrados. This stress rise can be minimized by pressure grouting
the vertical contraction joints in cold weather after the shrinkage has taken place.
Temperature stresses of 700 to 1400 kPa are possible, depending on the central angle and
thickness ratio.

The required arch thickness at any elevation h can be calculated from [33] and
Figure 20. Given 20 (say 120°) and span B between abutments, r, may be solved from

[34] 1r,=B/(2sin0)

A trial value for t may be selected and r/t evaluated for use in Figure 20 (noting that
I =1, - /2). Since p = yh, the abutment intrados stress f,; is solved from [33]. The
temperature stress is added to fai’ and this sum must not exceed the allowable concrete

stress. Allowable concrete stresses for arch dams are usually in the range of 5000 to 8000
kPa.

21. Arch Design

The single arch dam may be designed as a constant radius dam, as shown in
Figure 21. The upstream face is vertical and has the same centre of curvature at every
elevation, and therefore appears as a portion of a cylindrical surface. The downstream
face is inclined to account for the greater arch thickness required at lower elevations. The

central angle 20 varies from a maximum at the top to a minimum at the bottom where the
chord or span is shortest.
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Figure 20 . Coefficient K for Arch Dam Abutment Stress

The constant radius single arch dam is not the most economical shape. In fact it can

be shown by thin cylinder theory the least volume of concrete would result if the angle 20
was 133° 34' at all elevations. The development is as follows:

Let B be the span or chord length between abutments, L the arc length of the arch,

t the thickness of the arch, r, the radius to the extrados, and 26 the central angle. The

cross-sectional area of concrete exposed at any elevation by a horizontal slice through the
arch would be

[35] A=Lt
Since L =20 1, sinB = B/2r, and t = pry/f, then
[36] A =B2p 6/(2 f sin20)

At a given elevation, B, p, and f are constant. The area will be a function of 0 alone and
will be a minimum when dA/d6 = 0. For d/d6 (6/sin26) = () the solution is 20 = tan@, for
which 6 = 0.37x radians, and the most economical central angle is 133" 34",
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Figure 21 Constant Radius Arch Dam

The foregoing development leads to the concept of the constant angle arch dam,
as shown in Figure 22. In this case the radius varies with height, being longest at the top
and shortest at the bottom. The upstream face is curved both in plan and elevation.

Although the concrete volume may be reduced by 30% for the constant angle as
compared to the constant radius dam, site conditions usually prevent full implementation
of the constant angle method. To begin with, the most economical central angle
according to the elastic theory for a thick arch is actually greater than 133° 34'. Yet
maximum angles used in practice rarely exceed 110°. It is usually assumed, after
Boussinesq, that the horizontal arches transmit the reaction into the rock abutment in such
a manner that the stresses are contained in a 60° wedge, or 30° on either side of the line of
action of the resultant. Therefore, in order to contain the stressed wedge within the rock
mass, the maximum central angle for a valley with parallel sides would be 120°.

A second problem raised by the constant angle is upstream overhang. As shown
in Figure 22, the crest of the dam in the vicinity of the abutments will actually overhang
the base on the upstream side, and the section may be unstable with the reservoir empty.
This can be taken care of by varying the central angle or using upstream buttresses.

Figure 22. Constant Angle Arch Dam
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The United States Bureau of Reclamation pioneered the trial load method of
design. The total load is assumed to be carried jointly by arch action between abutments
and cantilever action above the base. In the trial load method, the division of load
between the horizontal and vertical strips is first estimated at various points on the face of
the dam. Near the base the load is carried primarily by cantilever action, and near the top
the load is almost entirely carried by arch action. The deflections of the arch and
cantilever strips are calculated using the assumed division of load. If the deflections do
not agree at each point, a new division of load is assumed, and if necessary, adjustments
are made to the cross section of the dam.

More recently the membrane analogy has been used to determine the best shape
for an arch dam. A flexible rubber membrane, with thickness proportional to the
anticipated thickness in the actual arch dam, is placed across a model of the valley and
reverse loaded. That is, lift forces are applied proportional to weight and a water load is
applied to the downstream side of the membrane. The shape taken by the membrane is
observed and used, with modifications, for the shape of the arch dam. Since the
membrane cannot transmit any bending moment it carries the load in pure tension, and
this shape should produce pure compression when the loads are reversed. It must be
obvious that the bulge in the membrane under the influence of the water load will be of
double curvature and not single curvature. This natural shape is more closely
approximated by the constant angle dam than the constant radius, and this further
explains why the former is more economical. More effective use is made of the load
carrying capacity of the concrete in the dam.

F. OTHER TYPES OF DAMS

22. Buttress Dams

There are several types of buttress dams--the flat slab and buttress, diamond head
buttress, round head buttress, and multiple arch. These dams may be broadly classified as
hollow dams because they all have inclined upstream faces, and depend to a large extent
upon the vertical component of water force on the upstream face for their stability. The
amount of material is between one third and one fifth of the amount required for a gravity
dam.

The flat slab and buttress dam was the first type of hollow dam to be used. The
idea originated with a Norwegian, Ambursen, who patented the idea in 1903. A typical
section of an Ambursen dam is shown in Figure 23.

The flat slab and buttress dam is a reinforced concrete structure. Reinforcement is
required to resist tension in the relatively thin deck and footing. The buttress is in
compression. In some respects the design is similar to a counterfort retaining wall, except
that the load is on the opposite side. The load determination and stability analysis is the
same as for the gravity dam. It is frequently necessary to add gravel ballast inside the
dam in order to secure adequate sliding resistance.

The flat slab and buttress dam is suitable for poorer foundations. Bearing
pressures are smaller and more uniformly distributed than for a gravity dam of the same
height. The dam is somewhat more flexible and can accommodate a small foundation
movement without distress. These advantages must be weighed against the extra cost of
forming, reinforcing, higher cement content, and shorter useful life.
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Figure 23. Flat Slab and Buttress Dam

The diamond head and round head buttress, as shown in Figure 24, are an
adaptation of the hollow dam idea in such a way that tension is largely eliminated. Each
buttress, which in itself is rather massive, supports a thick concrete head facing the
reservoir. The head is so proportioned that the resultant water force can be transmitted
into the buttress without tension. A series of diamond or round heads make up the
inclined upstream face of the dam. More concrete is required than for the flat slab design.

A multiple arch dam may be used where the valley is too wide for a single arch.
Basically, several arches are placed side by side. Since the load on each arch must
ultimately be carried by the foundation, a buttress is required at each haunch to transmit
the load to the base. ‘

Figure 24. Diamond and Round Head Butresses
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A diamond head buttress dam and multiple arch dam are shown in Figures 25 and
26. Manic 5, at 224 m, is the highest multiple arch in the world.

Figure 26. Multiple Arch Dam, Manic 5, Quebec
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Timber or steel may be used as construction materials for low head dams. The
principles of design are the same as for other hollow dams. The inclined upstream face is
supported above the base by struts. The struts substitute for the buttresses used in the
other types. A typical cross section of an A-frame type timber dam is shown in Figure

CUTOFF >

Figure 27. Timber Dam

23. Earth Dam

The earth dam is common in plains areas where foundations are unsuitable for any
type of concrete dam. The dam has flat side slopes so the load is spread over a wide base
area. The volume of materials is ten to twenty times more than for a concrete gravity
dam of the same height. A typical cross section for a zoned earth fill of medium height is
shown in Figure 28.

Rock riprap is required on the upstream face of the dam to resist wave action.
This should extend over the operating range of the reservoir. An impervious zone,
usually a compacted clay type material, is placed in the upstream portion of the dam for
watertightness. The downstream portion is constructed of granular material. Granular
materials usually have a higher shear strength and, therefore, will allow some reduction in
the volume of materials required. They are also relatively free draining. A rock filter
drain may be used at the downstream toe of the dam. This helps to lower the hydraulic
grade line and reduce pore pressures in the dam and foundation. A cutoff, which is really
an extension of the impervious zone of the dam, may be used to control underseepage.
The cutoff material is placed in a core trench excavated below the river bed to rock or
other impervious strata. Dewatering may be required to construct the core trench.

As an alternative to a cutoff, an upstream blanket may be used to increase the length
of the seepage path. The blanket consists of a thick layer of impervious material which is
connected to the impervious zone of the dam and extends upstream over the river
deposits. A large volume of material may be required for the blanket; however, blanket
construction does not require any excavation or dewatering, and is usually more
economical than a cutoff if the depth to rock is great.
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Figure 28. Zoned Earth Fill Dam

Stability analysis for the earth dam requires investigation of shear stresses
(sliding) and bearing pressures. Overturning is not possible. Shear strengths and
compressive strengths must be determined for the foundation and for the material to be
used in the dam. The effects of long term consolidation and settlement must be taken into
account. Although consolidation usually increases shear strengths, there is a possibility
that shear cracks will develop due to differential settlements in the vicinity of a steep
abutment. If a large settlement is expected, this must be allowed for in selecting
freeboard.

24, Rock Fill Dam

Rock fill dams are used in preference to concrete dams when an abundance of
suitable rock is available nearby, or in remote areas where the cost of cement would be
high. Where a rock fill dam can be built, the foundation would usually support some type
of concrete dam as well, so the choice is a question of economics. The side slopes of the
rock fill must be somewhat flatter than the angle of repose for the rock, so more volume
of material is required than for a concrete gravity dam. On the other hand, the volume is
only one quarter to one half of the volume required for an earth dam. Concrete, steel, or
clay must be used for a central core, or as a membrane on the upstream slope, in order to
achieve watertightness. Figure 29 shows a rock fill dam.

Side slopes which must be used for fill type dams are dependent upon the shear
strength of the material in the dam. For example, side slopes of 1 vertical to 1 1/2
horizontal can be used for rock fill dams, and this is independent of the height. However,
for clay type embankments, the side slopes must be progressively flattened as the height
increases. This may be explained as follows: Shearing resistance for a unit width on a
potential sliding surface is calculated by :

[37] SR=Ntan ¢ +cL
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Figure 29. Rockfill Dam, Finstertal, Austria

in which N is the effective force normal to the sliding surface (due to the effective
weight), ¢ is the angle of internal friction for the material, c is the cohesion, and L is the

length of the sliding surface. In a clay dam the angle ¢ is small, occasionally zero, so the
principal sliding resistance is due to cohesion. The horizontal water load, or sliding
force, varies as the square of the height of the dam, so the side slopes must be flattened
with increasing height to increase L and develop the necessary sliding resistance. For

gravel or rock, the value of c is zero and typically ¢ = 35°, so the sliding resistance is due
to internal friction alone. Since the effective weight of the dam varies as the square of the
height, the necessary sliding resistance is obtained without requiring any flattening of the
side slope as the height increases.
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PROBLEMS
Show that [12] will result from [11] with units converted.
A rectangular shaped reservoir with an average depth of 9 m is 19.3 km long, 4
km wide, and faces a hollow concrete dam with a sloping 1 1/2 horizontal to 1
vertical upstream face. Calculate the freeboard allowance based on an over water

wind of 80 km/h.

Prove for a gravity dam that if the resultant falls within the middle third of the
base, there will be no tension in the section.

The basic section of a solid gravity concrete dam is triangular in shape with a
vertical upstream face 120 m high. Calculate the width of base required to satisfy

. overturning criterion when the water level is at the top of the section. Assume

100% uplift intensity factor, and no tailwater.

The sketch shows the cross-section
of a hollow reinforced concrete dam.
The base has been made wider than
normal to reduce the bearing
pressure and to help equalize the
bearing pressure over the base.
Neglecting uplift and tailwater,
calculate the wvertical bearing
pressure at the toe and also at the
heel. Consider the weight of the
section to be 25% of the weight of l____ 46 m l ‘l
solid concrete, and assume the z3m
weight to be at the centre of gravity

of the cross-section.

The basic section of a solid gravity concrete dam has a 30.5 m vertical upstream
face and a base width of 24 m. Calculate the vertical pressure on the solid
material of the foundation at the toe and at the heel under the followin<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>